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A numerical modeling of Osaka soft clay was carried out using an elasto-viscoplastic 
constitutive model. The effect of destructuration, demonstrated by the shrinkage of the yield and 
the overconsolidation boundary surfaces and the strain-dependent elastic shear modulus, were 
studied through a comparison of the simulations with the experimental results of undrained 
triaxial compression tests. Although consideration of the structural degradation in the modeling 
of soft soil behavior leads to a substantial improvement, in terms of strain softening and post-
peak responses, the strain-dependent shear modulus was introduced to reproduce more precise 
behavior, particularly before the peak stress. In order to evaluate the effect of these two aspects 
in a boundary value problem, a two-dimensional consolidation analysis of an embankment 
construction on a soft clay layer was conducted for three different cases. The deformations and 
the excess pore pressure responses for each case were presented and discussed. The strain 
localization, the consequent large ground displacement, and the temporary increase in pore 
pressure during the consolidation were observed in the cases with structural degradation. 
Considering the strain-dependent shear modulus, however, larger strain localization and 
displacement were predicted even in the early stages of loading.  
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Soft clay specimens have shown complex behavior during shearing, which can be associated 
with the collapse of the soil structure and microstructural changes. The structure of natural soil 
consists of two components, namely, the fabric and the bonding between particles (Burland 
1990). The term ‘destructuration’ is often used to describe the progressive damage to the 
bonding between soil particles during plastic straining. In many natural soft clays, the presence 
of interparticle bonding is demonstrated by sensitivity. The sensitivity of clay is defined as the 
ratio of its undisturbed strength to its remolded strength (Terzaghi 1944). The sensitivity may 
range from about 4, for sensitive clays, to values of over 100, for so-called extra-sensitive or 
quick clays. In fact, most clays, except for those which have been heavily overconsolidated, lose 
a portion of their original strength after remolding. For Osaka soft clay, sensitivity levels of 4 to 
10 are quite common, which indicates the high sensitivity of this type of clay. In some areas, 
however, larger values have been reported (e.g., Adachi et al. 1995, KG-NET 2007).  
Certain types of unstable behavior, such as the anomalous pore pressure response after the 
completion of loading and secondary creep caused by the destructuration in sensitive clays, have 
been reported by many researchers, e.g., Mesri and Choi (1979), Mitchell (1986), Lavallee et al. 
(1992), etc. Predictions of these phenomena through the viscoplastic constitutive models have 
been conducted over the last few decades, e.g., Zienkiewicz et al. ( 1975), Sekiguchi (1977), 
Nova (1982), Adachi and Oka (1982), Yin and Graham (1999), etc. Oka et al. (1991) have 
introduced the variation in the viscoplastic parameter into the original elasto-viscoplastic 
constitutive model, proposed by Adachi and Oka (1982), to represent the structural breakdown of 
clay. However, it was not able to successfully reproduce the field anomalous soil behavior during 
long-term consolidation. Later on, Kimoto and Oka (2005) improved the elasto-viscoplastic 
constitutive model for use in predicting the unstable behavior during consolidation. In their 
proposed model, structural changes are expressed as strain softening, with respect to the 
accumulation of viscoplastic strain, so that the model can describe the instability not only around 
the failure stress, but also during compressive deformation. A validation of the proposed model 
has been performed by applying it to simulate various laboratory and field tests in addition to 
practical problems (e.g., Kimoto and Oka 2005, Oka et al. 2008, Karim and Oka 2010). Although 
giving consideration to the effect of structural degradation on strain softening and post-peak 
responses has helped to improve reproductions of the stress-strain behavior of soft clays, the 
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reproduced results, particularly in the small strain range, have often differed from the laboratory 
test data. Hence, the strain dependency of the elastic shear modulus is employed to overcome 
this inadequacy in the modeling of soft clays. 
It is well known that the deformation characteristics of soils, particularly the elastic shear 
modulus, are non-linear due to the microstructural changes that occur during loading. The shear 
modulus at small strain levels is often expressed as the function of the void ratio and the 
effective confining stress through the several empirical equations from the laboratory tests 
(Ishihara 1996). Consideration of the effective confining pressure has been made by normalizing 
the shear modulus through a power function of the mean effective stress. For large stains, 
however, the strain dependency of the shear modulus should also be taken into account. An 
evaluation of the variation in the shear modulus in the experiments reveals the significant 
reduction in the shear modulus when strain increases. Several empirical equations have been 
proposed for the strain-dependent shear modulus of geomaterials (e.g., Kovacs et al. 1971, 
Hardin and Drnevich 1972, Seed et al. 1986, etc.). For soft clays, Ogisako et al. (2007) have 
shown the normalized elastic shear modulus reduction function based on the viscoplastic shear 
strain and have proposed a hyperbolic equation for that expression in the elasto-viscoplastic 
constitutive model. 
The aim of this paper is to study the effect of destructuration on the elasto-viscoplastic 
modeling of Osaka soft clay. In order to predict the soil behavior, using the elasto-viscoplastic 
model proposed by Kimoto and Oka (2005), the model parameters were firstly determined based 
on the laboratory test data. Then, element test simulations were performed considering the 
destructuration parameters, i.e., structural degradation and the strain-dependent shear modulus. 
Comparisons were made through the stress-strain relations and the stress paths under undrained 
triaxial compression conditions. The influences of the structural degradation and the strain-
dependent shear modulus were particularly studied in a two-dimensional consolidation analysis 
of an embankment construction on a layer of Osaka soft clay. Several numerical simulations 
have been done in order to properly study the effect of each aspect of destructuration. 
 
2. Elasto-viscoplastic constitutive model 
As mentioned earlier, we have adopted the elasto-viscoplastic constitutive model proposed by 
Kimoto and Oka (2005). The model is an extension of the rate-dependent model for water-
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saturated clay, firstly proposed by Adachi and Oka (1982), which combines the Cam-clay model 
(Roscoe, Schofield and Thurairajah 1963) and Perzyna’s (1963) overstress type of viscoplasticity 
for the elasto-viscoplastic formulation. Kimoto and Oka (2005) improved the original model by 
Adachi and Oka (1982) in order to overcome the structural degradation of the soil skeleton, 
considering the shrinkage of both the overconsolidation boundary surface and the static yield 
surface with respect to the accumulation of viscoplastic strain. In this section, the features of the 
model are described as can be found in Kimoto and Oka (2005). However, the model is modified 
here in two ways, namely, the variation in the stress ratio at failure by Lode’s angle and the 
introduction of a new definition for the dilatancy coefficient.  
In the adopted constitutive model, Terzaghi’s effective stress for water-saturated soil is used 
as 
ij ij w ijUσ σ δ′= +                                                               (1) 
where ijσ  is the total stress tensor, ijσ ′  is the effective stress tensor,  wU  is the pore water 
pressure, and ijδ  is Kronecker’s delta. In addition, total strain rate tensor ijε&  is assumed to be 
divided into two parts, namely, 
 e vpij ij ijε ε ε= +& & &                                                            (2) 
where eijε&  denotes the elastic strain rate tensor and vpijε&  is the viscoplastic strain rate tensor. The 











&&&                                                   (3) 
in which G is the elastic shear modulus, ijS  is the deviatoric stress tensor ( ijij m ijS σ σ δ′ ′= − ), mσ ′  
is the mean effective stress, and the superimposed dot denotes the time differentiation. κ is the 
swelling index and e0 is the initial void ratio. The modification of elastic shear modulus G will be 
presented in the next section. 
An overconsolidation boundary surface is assumed to delineate the normally consolidated 
(NC) region and the overconsolidated (OC) region as 
 
( )* *(0) ln 0b m m mbf Mη σ σ′ ′= + =                                               (4) 
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where  0bf <  indicates the overconsolidated region and 0bf ≥  shows the normally consolidated 
region.  
In Equation (4), *(0)η  is the relative stress ratio defined by 
( )( ) ( )( )* * * * *(0) 0 0ij ijij ijη η η η η= − −                                                      (5) 
in which subscript (0) denotes the initial state before deformation and *ijη  is the stress ratio tensor. 
mbσ ′  controls the size of the OC boundary surface. *mM  is the value of * * *ij ijη η η=  when the 
volumetric strain increment changes from compression to swelling. In order to include Mohr-
Coulomb’s failure criterion with zero cohesion, stress ratio *mM  is considered to be a function of 








θ − ⎡ ⎤= ⎢ ⎥⎣ ⎦
                                                       (6) 
* 6 2 sin( )
(3 3sin )sin 3(3 sin )cos  m
M φθ φ θ φ θ= + + −                                         (7) 
where J2 and J3 are the second and the third invariants of the deviatoric stress tensor, respectively, 
and φ  is the internal frictional angle. Lode’s angle varies in the range of  0  3πθ≤ ≤ , where  
0θ =  represents the triaxial compression mode and the maximum value shows the extension 
mode of loading under triaxial conditions. In Equation (7), by taking 0θ = , the stress ratio at 
triaxial compression *mcM  can be obtained as 
* 2 6sin
3 3 sin  mc
M φφ= −                                                          (8) 
To describe the structural degradation of clay, strain softening with the accumulated 
viscoplastic strain is introduced in addition to strain hardening with the viscoplastic volumetric 
strain as 
01exp( )vpmb ma v
eσ σ ελ κ
+′ ′= −                                                  (9) 
where maσ ′  is assumed to decrease with an increase in viscoplastic strain with 
( )exp( )ma maf mai maf hzσ σ σ σ β′ ′ ′ ′= + − −                                          (10) 
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in which z is the accumulation of the second invariant of the viscoplastic strain rate given by  
0
  ;    
t
vp vp
ij ijz zdt z ε ε= =∫ & && &                                                         (11) 
In Equation (10), maiσ ′  and mafσ ′  are the initial and the final values for maσ ′ , respectively. β is 
a parameter that stands for the changing rate of maσ ′ , while the proportion of maf main σ σ′ ′=  
provides the degree of possible collapse of the soil structure at the initial state. h is an additional 
degradation parameter with a non-negative value that controls the rate of degradation of the soil 
skeleton. In this study, the value of this parameter is assumed as 1h = . 
In the following, static yield function yf  has been proposed to explain the mechanical 
behavior of clay at its static equilibrium state as 
 
  ( )* * ( )(0) ln 0sy m myf Mη σ σ′ ′= + =%                                              (12) 
where ( )smyσ′  denotes the static hardening parameter. 
Static equilibrium state 0yf =  refers to the case when no viscoplastic deformation occurs, which 
can only be reached after an infinite time. Incorporating the strain softening for the structural 
degradation, the hardening rule of ( )smyσ′  can be expressed as 
 
( ){ }( ) ( ) 0  exp( ) 1exp( )maf mai mafs s vpmy myi v
mai
z eσ σ σ βσ σ εσ λ κ
′ ′ ′+ − − +′ ′= ′ −                       (13) 
In the same manner as for the static yield function, viscoplastic potential function pf  is 
given by 
( )* *(0) ln 0p m mpf Mη σ σ′ ′= + =%                                                  (14) 
where dilatancy coefficient *M%  is defined separately for the overconsolidated region (OC) and 
the normally consolidated region (NC). In the original definition by Kimoto and Oka (2005), *M%  






                 :NC region











%                                            (15) 









ησ′ ′=                                                  (16) 
According to the above definition, the value of dilatancy coefficient *M%  becomes zero when the 
stress path coincides with the mean effective stress axis during cyclic loading. Therefore, a new 
definition for *M%  (Kimoto et al. 2007) is introduced here as 
   
( )














%                                            (17) 
where *mσ  denotes the mean effective stress at the intersection of the surface, which has the same 
shape as bf , and is given by 







⎛ ⎞′= ⎜ ⎟⎜ ⎟⎝ ⎠
                                                   (18) 
The overconsolidation boundary surface, the static yield function, and the viscoplastic 
potential function are illustrated for isotropically consolidated soil in Figure 1. mbσ ′  and ( )smyσ′  
change with the structural degradation of the soil skeleton, namely, the viscoplastic strain 
accumulation. This leads to the gradual shrinkage of the overconsolidation boundary surface as 
well as the static yield surface, in both the overconsolidated region and the normally 
consolidated region. 
Based on the overstress type of viscoplastic theory first adopted by Perzyna (1963), 
viscoplastic strain rate tensor vpijε&  is defined as 




∂= Φ ′∂&                                                      (19) 
)( )(Φ    : 0 Φ  









                                                 (20) 
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( )ijkl ij kl ik jl il jkC a bδ δ δ δ δ δ= + +                                               (21) 
where  are Macaulay’s brackets, )(Φ yf  is the rate-sensitive material function, and ijklC  is a 
fourth order isotropic tensor. a and b in Equation (21) are the viscoplastic parameters.
 )(Φ yf  is 
determined from the experimental correlation proposed by Adachi and Oka (1982) and Kimoto 
and Oka (2005) as 
)( ( )* * 0Φ  exp  ln my m
mb
f m M σσ η σ
⎧ ⎫⎛ ⎞′⎪ ⎪′ ′= +⎨ ⎬⎜ ⎟′⎪ ⎪⎝ ⎠⎩ ⎭
%                                     (22) 
in which m′  is the viscoplastic parameter. 
Deviatoric viscoplastic strain rate vpije&  and volumetric viscoplastic strain rate 
vp
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% %&                     (24) 
where 1 2C b=  and 2 3 2C a b= +  are the viscoplastic parameters for the deviatoric and the 
volumetric strain components, respectively. 
 
3. Strain-dependent elastic shear modulus 
The non-linearity of soil stiffness has been studied extensively on materials such as sands, clays, 
and gravel, and has been summarized well by Ishihara (1996). For cohesive soils, several 
empirical equations have been proposed by considering the dependency of the shear modulus on 
the effective confining stress (Kokusho et al. 1982). In the original configuration by Kimoto and 
Oka (2005), the change in the elastic shear modulus of the elasto-viscoplastic model is given by 






′= ′                                                            (25) 
in which 0G  is the value for G  when 0m mσ σ′ = ′ .  
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Equation (25) considers only the effect of the confining pressure, which can accurately 
approximate the variation in shear modulus at very small levels of strain. In regions with large 
levels of strain, however, as demonstrated by the experimental results, the strain dependency of 
the shear modulus should be considered as well. Various empirical formulations have been 
provided from the laboratory test results to express the strain dependency of the shear modulus 
(e.g., Hardin and Drnevich 1972, Wang and Kuwano 1999). Ogisako et al. (2007) have 
introduced a normalized shear modulus reduction function based on the viscoplastic shear strain 
in soft clay specimens and have proposed a hyperbolic equation for that expression, namely, 
( )( )0 11 rvpG G α γ= +                                                         (26) 
where α  and r  are the experimental constants, which can be defined from the laboratory test 
results, and vpγ  is the accumulated viscoplastic shear strain given by an accumulation of the 
viscoplastic deviatoric strain rate as 
  
vp vp vp
ij ijde deγ = ∫                                                            (27) 
In this study, based on the experimental results, 0.4r = is chosen. Therefore, the final 
formulation for the variation in shear modulus can be incorporated as 
 ( )( )0 0.4 011 mvp mG G σσα γ ′= ′+                                               (28) 
in which α  is the strain-dependent parameter. 
 
4. Numerical modeling of Osaka soft clay 
The numerical modeling of Osaka soft clay specimens has been conducted using the described 
elasto-viscoplastic model. Material parameters have been determined by laboratory tests using 
natural samples. The sampling procedures were performed as part of a geotechnical investigation 
of a super-levee construction project along the Yodo River in Torishima, Osaka City, Japan. A 
super-levee is a river embankment with a broad width, which can withstand even overflow, so 
that destruction by a dike break and its resultant flooding can be prevented. In addition, it is 
expected to have more resistibility against earthquakes and the consequent damage they cause. 
Considering the special issues involved in the construction of such a massive earth structure on 
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soft clay deposits, attempts should be made to predict the consolidation behavior of the soft clay 
as accurately as possible. 
Geotechnical investigations have been performed through the drilling of two boreholes, 
which reach down to about 40 m below ground level. Standard penetration tests (SPT) and 
undisturbed tube samplings (Ф= 75 mm) in various layers have been performed. According to 
the boring results, the subsurface strata were composed of alluvial sand and soft clay layers 
overlying a diluvium dense gravel layer and a rather stiff clay layer at a depth of about 35 m. The 
cross section of the subsurface layers is schematically illustrated in Figure 2. B1 represents the 
topsoil material with a thickness of about 2.25 m, As2 is the upper alluvial sand layer with a 
thickness of approximately 8.5 m, Ac2 is the alluvial soft clay layer with a thickness of 12 m, 
As1 is the lower alluvial sand layer with a thickness of 5.5 m, and Ac1 is the alluvial clay deposit. 
Dg and Dc indicate the diluvium sandy gravel and rather stiff clay deposits, respectively.  
Laboratory tests were conducted on the clay specimens obtained from the Ac2 layer, 
including undrained triaxial compression tests with different strain rates, and consolidation tests 
with different loading methods, namely, the constant rate of loading (CRL) and the standard 
incremental loading (STD) methods. The triaxial tests on the soft clay samples were conducted at 
two different strain rates, namely, 0.05 %/min and 0.005 %/min, and at three levels of confining 
pressure equal to 100, 200, and 400 kPa. For the Ac2 layer in Torishima, the value of sensitivity 
has been reported as 6 ~ 8 (KG-NET 2007), which indicates the high sensitivity of the Osaka soft 
clay in this district. In order to predict the triaxial behavior of soft clay, elasto-viscoplastic model 
parameters have been determined from the laboratory test results following the proposed method 
by Kimoto and Oka (2005), as well as other characteristic parameters. Viscoplastic parameter 'm  
is determined from undrained triaxial compression tests conducted at different strain rates. By 
having 'm , the other viscoplastic parameters, 1C  and 2C , are obtained from Equations (23) and 
(24) in the triaxial stress state. The representative material parameters of the Ac2 layer are listed 
in Table 1. It is seen that the soft clay layer was divided into three individual sub-layers based on 
the soil properties. The stress-strain relations and the stress paths were used to evaluate the 




4.1. Modeling of soft clay considering structural degradation 
As the first stage, the behavior of the soft clay specimens obtained from the Ac2 layer were 
simulated using the representative material parameters listed in Table 1, which were determined 
based on the triaxial test results. Comparisons were made with the experimental results through 
the stress-strain relations and the stress paths. The effect of structural parameters n and β on the 
stress-strain relations and the stress paths have been shown by Kimoto and Oka (2005) as 
softening behavior after the peak stress point, in which the larger structural parameter, β, 
promotes the rapid degradation of the shear strength. Nonetheless, the behavior before the peak 
stress point does not change with the structural parameters and it remains similar to that of the 
case in which no structural degradation is considered ( 0)β = .  
Figures 3 and 4 present the experimental results and the corresponding simulated results by 
the elasto-viscoplastic model, where the symbols show the experimental values and the solid 
lines represent the relevant simulated results. The stress-strain relations of the testing samples 
and the predicted results are presented in Figure 3. The results demonstrate quite a good 
tendency, in terms of strain softening and post-peak responses. However, considering the 
behavior around the peak stress point, the simulated results show smaller strain at the same shear 
stress level. This implies a larger shear modulus in the predicted results, which leads to a smaller 
accumulated deformation.  
The simulated stress paths for the clay specimens under different levels of confining 
pressure, illustrated in Figure 4, follow the corresponding experimental results, although the 
initial part of the stress path curve in some cases does not agree with the experimental values. 
The simulations indicate the elastic behavior at the initial part of the stress paths in contrast to 
the experimental data. In order to improve the predicted results, the inequality of the viscoplastic 
parameter for deviatoric strain component 1C  and the viscoplastic parameter for volumetric 
strain component 2C  was considered by taking different values for 2C , as 2 1C C≥ . Nonetheless, 
the effect of this consideration was insignificant. The dissimilarity of the stress paths between the 
simulation and the experiments can be attributed to the influence of the sampling process and the 
consequent disturbance to the structured soil behavior, which results in less elasticity in the 
earlier stages of shearing in the laboratory tests. Furthermore, the pore water pressure in the tests, 
which is measured by means of a pressure sensor connected to the top and the bottom of the 
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specimen, represents an average value of the pore water pressure within the entire sample. 
However, the simulation results, obtained by the integration of the constitutive equations, 
represent the one-point response in which the size or the boundary effect has been disregarded. 
  
4.2. Modeling of soft clay considering structural degradation and strain-dependent shear modulus 
In order to improve the predicted results, the strain-dependent elastic shear modulus was taken 
into consideration in addition to structural degradation. Giving consideration to the effect of the 
strain dependency of the shear modulus in the modeling changes the values of the structural 
parameter. The strain-dependent parameter α, and the modified values for structural parameter β 
are presented in Table 2. 
Figure 5 indicates the stress-strain relations of the predicted results beside the experimental 
data, while the stress paths for both cases are presented in Figure 6. As mentioned above, the 
symbols in these figures represent the experimental data from laboratory tests and the solid lines 
show the corresponding predicted values when using the elasto-viscoplastic constitutive model. 
Applying the modified values for β and the strain-dependent shear modulus leads to more 
accurately predicted results. Although giving consideration to strain-dependent shear modulus G 
leads to an enormous improvement in the predictions of the stress-strain relations, particularly 
around the peak stress points, its effect on the stress paths under triaxial test conditions is 
insignificant. The predicted results emphasize the capability of the elasto-viscoplastic model to 
reproduce the sensitive soil behavior through the structural degradation parameters, of which a 
more accurate response is achieved by considering the strain dependency of the shear modulus. 
  
5. Consolidation analysis of an embankment construction on soft clay 
The effects of these two factors, structural degradation and the strain-dependent shear modulus, 
have been studied in the context of a typical geotechnical problem, namely, a two-dimensional 
embankment construction. The finite element consolidation analysis of an embankment on a soft 
clay foundation was performed for three cases. All cases assume the same initial conditions. In 
Case 1, both destructuration aspects were ignored by making β and α equal to zero (no structural 
degradation). In Case 2, the effect of structural degradation was considered, while the original 
shear modulus formulation, Equation (25), was used. In Case 3, the effect of the strain-dependent 
shear modulus was considered in the simulation by applying Equation (28) and the modified 
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values for structural parameter β. The overall features in each case of the finite element analysis 
are summarized in Table 3. Comparisons have been made among the results of these cases to 
evaluate the influence under plane-strain conditions. 
 
5.1. Problem description 
The consolidation analysis of the Osaka soft clay foundation subjected to embankment 
construction was performed using the finite element method. The geometry and the finite 
element mesh of the problem are presented in Figure 7, where a typical embankment with a 
height of 3.2 m and a slope of 1:2, was constructed on a soft clay foundation with a thickness of 
10 m and characterized by the parameters of Osaka soft clay. As shown in Figure 7, the 
embankment layers were properly modeled in the finite element mesh so the stiffness and the 
consolidation of the embankment layers could be considered in the simulation in addition to the 
embankment loading. Due to symmetry, only half of the embankment was represented in the 
finite element mesh. The size of the modeled domain was determined so that the boundary 
effects would be negligible. A fully saturated condition was assumed, in which only the 
boundary located at the top was permeable. The displacement boundary at the bottom of the 
domain, which is regarded as the base ground, was fixed in both vertical and horizontal 
directions, while the right- and the left-hand side boundaries were fixed only in the horizontal 
direction. Mesh sensitivity studies were done to confirm that the mesh was dense enough to 
produce converging results. 
 The elasto-viscoplastic material parameters of the Ac2-M layer were applied for the soft 
ground layer, while the elastic behavior was adopted for the embankment layers assumed to be 
made of granular fill. Table 4 gives the material parameters, which were used in the finite 
element analysis. 
 
5.2. Finite element formulation 
In the numerical analysis, the finite element method for two-phase mixtures, based on the finite 
deformation theory, was adopted with the objective Jaumann rate of Cauchy stress for the weak 
form of the equilibrium equation (Oka et al. 2002, Kimoto et al. 2004). Concerning the finite 
deformation framework, strain rate tensor ijε&  in the previous section is replaced by stretching (or 
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the rate of deformation) tensor ijD . An eight-node quadrilateral element with a reduced Gaussian 
four-point integration was employed for the displacement. The pore water pressure was defined 
at the four corner nodes of the elements. A Biot’s type of two-phase mixture theory was used 
with a velocity-pore pressure formulation. The finite element formulation, based on the updated 
Lagrangian method, is explained in Appendix A, including the discretization of the equilibrium 
equation following the continuity equation.  
 
 
5.3. Construction procedure and loading profile 
The linearized construction sequence of the embankment is schematically shown in Figure 8. 
The rate of loading was simulated by the successive addition of elements corresponding to each 
stage of embankment construction. For a particular construction stage, the elements to be 
constructed were added and given a constitutive model appropriate to the material behavior 
during placing. The nodal forces due to the self-weight body forces of the constructed material 
were calculated and applied to the corresponding nodes. The global stiffness matrix and all the 
other boundary conditions were assembled for the stage, and the FEM analysis was implemented. 
Before applying the next stage, the displacements of any nodes, which are only connected to the 
constructed elements, were zeroed (Potts and Zdravkovic 1999). As shown in Figure 8, it was 
assumed that the embankment would be constructed in four layers within 40 consecutive days. A 
consolidation analysis was performed until 1000 days after the end of the construction. 
 
6. Numerical analysis results and discussion 
6.1. Vertical displacements 
The predicted results for the vertical displacements at the ground level due to the construction of 
the embankment are presented in Figure 9 for all three cases on various days. The settlements at 
the ground level are shown corresponding to each construction stage and consolidation after the 
end of construction. All cases show a trough-shaped ground settlement beneath the embankment 
with a surface heave around the toe of the embankment. Despite the increases in ground 
settlement beneath the embankment, during and after construction, the surface heave around the 
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toe decreases during consolidation. The maximum settlement at each construction stage occurs at 
the node which is located just beneath the centerline of the embankment. 
All the cases, i.e., Case 1 with no structural degradation, Case 2 with structural degradation, 
and Case 3 with structural degradation and strain-dependent shear modulus, demonstrate the 
same general features in terms of ground settlement, although the settlement values are different 
for each case. Regarding the settlement at the embankment centerline after 40 days, Cases 1 and 
2 have almost similar settlements with a value of 2.17 cm. Thereafter, however, during 
consolidation, the strain rate in Case 2 increases (due to the softening in the soft clay layer) and 
leads to a larger displacement, i.e., 7.67 cm, at the embankment centerline after 1000 days versus 
a displacement of 4.65 cm in Case 1 at the same time. In Case 3, where the effect of the strain-
dependent shear modulus has been incorporated, the settlement becomes significantly large not 
only during consolidation, but also during the construction of the embankment. The surface 
settlement that develops at the embankment centerline after the final construction step, after 40 
days, is 2.4 cm in Case 3 which increases up to 8.9 cm after 1000 days during consolidation. 
Figure 10 shows the vertical ground displacements at the embankment centerline versus time for 
all three cases. An evaluation of the development of settlement over time for all three cases 
clearly indicates the effect of both the structural degradation and the strain dependency of the 
shear modulus considerations. 
The vertical ground displacements versus time at the toe of the embankment, 9.5 m from the 
embankment centerline, are presented in Figure 11 for the different cases. The vertical 
displacement at the toe firstly exhibits heaving when the embankment construction is in progress 
and reaches its maximum value immediately after the end of construction. Then, the settlement 
increases with time during consolidation. As illustrated in Figure 11, the three cases demonstrate 
almost the same trend in vertical displacement profiles at the toe of the embankment. By 
considering the structural degradation, however, a larger displacement is observed in Case 2 than 
in Case 1. In Case 3, the displacements during and after construction are somewhat larger than 
those in the other cases. Later on, after about 500 days, the displacement rate decreases gradually 




6.2. Lateral displacements 
The variations in lateral displacement along the depth beneath the toe of the embankment are 
shown in Figure 12. As the displacements of the nodes located at the bottom of the model were 
fixed in both directions, the lateral displacement at a depth of 10 m is zero. The lateral 
displacement at the toe of the embankment develops during the construction and reaches the 
maximum positive value at a depth of 3.0 m upon completion of loading. Thereafter, it decreases 
with time as consolidation occurs and achieves negative values after 1000 days of consolidation 
at the same depth. When comparing the horizontal displacement at the toe of the embankment 
after the end of construction, after 40 days, Cases 1 and 2 present nearly identical lateral 
displacements with a value of 1.22 cm at a depth of 3.0 m, as shown in Figures 12(a) and (b). On 
the other hand, Case 3, which considers the strain-dependent shear modulus, shows a slightly 
larger lateral displacement with a value of 1.35 cm at the same depth, as shown in Figure 12(c). 
The values of the lateral displacement after 1000 days at a depth of 3.0 m are -1.62 cm for Case 1, 
-1.35 cm for Case 2, and -1.14 cm for Case 3. This indicates a backward movement during 
consolidation. An evaluation of the ground settlements and the lateral displacements at the toe of 
the embankment in the three cases indicates that in the case of a larger ground settlement, a 
smaller lateral displacement will develop due to consolidation. 
 
6.3. Overall deformation 
The deformed meshes of the model after 1000 days of consolidation in the three cases are 
presented in Figure 13, in which the deformations have been enlarged to 10 times the actual 
values. Since the deformations during and just after the construction were rather small, the final 
deformations after 1000 days are presented here for comparison. In all cases, the deformations 
are particularly localized in the upper part of the subsurface layer beneath the embankment. The 
deformation of the embankment is insignificant compared to that of the ground layer. For Case 1, 
a small deformation occurs below the embankment, as shown in Figure 13(a), while for Case 2, a 
large deformation is observed in Figure 13(b). The deformation becomes even larger when 
considering the strain dependency of the shear modulus and the structural degradation in Case 3, 




6.4. Viscoplastic shear strain 
The accumulated viscoplastic shear strain is determined by the accumulation of the viscoplastic 
deviatoric stain rate, as defined by Equation (27). The results of the accumulated viscoplastic 
shear strain contours at each construction stage and during consolidation are presented in Figures 
14, 15, and 16 for Cases 1, 2, and 3, respectively. As an elastic model is employed for the 
embankment layers, viscoplastic strain develops only in the subsurface layer. The maximum 
shear strain is distributed mostly in the upper part of the soft clay foundation close to the 
embankment. The shear strain distributions during construction are similar for Cases 1 and 2, but 
the differences become more evident during consolidation. In Case 2, with structural degradation 
parameters, extensive strain localization can be observed just beneath the embankment with 
larger amounts of viscoplastic shear strain than that in Case 1. Considering the strain dependency 
of the shear modulus in Case 3, however, larger strain is localized during construction and 
consolidation. The maximum value of accumulated viscoplastic shear strain in Cases 1 and 2, 
from 0.6% after the end of construction,  as shown in Figures 14(d) and 15(d), increases to 
9.57% in Case 1 and 28.1% in Case 2 after 1000 days of consolidation, as shown in Figures 14(f) 
and 15(f). In Case 3, the maximum value of the accumulated viscoplastic shear strain at the end 
of the construction, after 40 days, is 0.84% which increases to 30.7% after 1000 days of 
consolidation. 
 
6.5. Excess pore water pressure 
The general features of the excess pore water pressure distribution are presented in Figure 17, 
which shows the excess pore water pressure contours during construction and consolidation for 
Case 1. The excess pore water pressure is generated in the ground layer in the whole depth below 
the filling zone with a maximum value of 36 kPa immediately after the end of the construction 
and then dissipates during the consolidation and reaches about 30 kPa after 1000 days (Figure 
17(f)). As the permeability of the clay layer is rather low and the drainage boundary is located 
only at the top, the dissipation rate during the consolidation is not so high. The other cases 
exhibit approximately the same excess pore pressure distribution as Case 1. Figure 18 presents 
the contours of excess pore pressure for Case 3 at several construction steps. The variations in 
the pore pressure in Case 3 during the construction process, within 40 days,  shown in Figures 
18(a) ~ (d) are the same as those in Case 1, shown in Figures 17(a) ~ (d). Nevertheless, after the 
18 
 
completion of loading, Case 3 demonstrates different responses, particularly in the strain-
localized region beneath the embankment. Figures 18(e) and 18(f) indicate the concentration of 
pore pressure contour lines just beneath the embankment in Case 3. This implies higher excess 
pore water pressure in that region compared to Case 1, shown in Figures 17(e) and (f), 
respectively. 
In order to clarify the effect of destructuration on the pore pressure response in the strain-
localized region, the variations in excess pore water pressure versus time at four reference points 
beneath the embankment are presented in Figure 19 in a logarithmic scale for the three cases. 
These points are located at different levels where large strain occurs. All the cases produce rather 
similar amounts of excess pore water pressure during construction, but different amounts during 
consolidation. For Cases 2 and 3, temporary increases in pore water pressure are observed at 100 
days, during consolidation, because of the consideration given to the structural parameters. As a 
larger structural parameter β is employed in Case 3, a higher secondary generation is observed. 
Although the amounts of regenerated excess pore pressure at various points are less in Case 2 
than those in Case 3, the effect of structural degradation is clearly observed. Comparing the 
variations in excess pore water pressure at different points in Case 3, shown in Figure 19(c), the 
secondary generated pore pressure at Points C and D, located in the area with strain localization, 
are higher than those at Points A and B. 
It should be mentioned that the consideration of the strain-dependent shear modulus affects 
the pore water pressure response by changing structural parameter β to a larger value. The 
anomalous build-up of pore water pressure after loading is observed; this is similar to the field-
measured evidence reported by Mesri and Choi (1979), Leroueil et al. (1979), Mitchell (1986), 
etc. This indicates the extensive microstructural changes in the clay layer in the localization area, 
which causes the unstable behavior during consolidation. In sensitive soft clays, the pore water 
pressure increases or becomes stagnant following the completion of the embankment 
construction, due to the collapse or the rearrangement of the initial clay structure. This is 
associated with the increase in viscoplastic strain.  
 
7. Conclusion 
The behavior of Osaka soft clay was modeled via an elasto-viscoplastic constitutive model. The 
effect of destructuration on the behavior of Osaka soft clay was studied. The destructuration was 
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modeled by both viscoplastic structural degradation and a strain-dependent elastic shear modulus. 
The comparison of the predicted results with the laboratory test data under undrained triaxial 
compression conditions, significantly exhibited the efficiency of both destructuration aspects on 
the soft clay response. Structural degradation includes the unstable behavior during consolidation 
due to the microstructural changes in the soft clay skeleton which lead to the softening behavior 
after the peak point along the stress-strain relation curve, a rapid increase in the strain rate, and a 
temporary increase in pore water pressure during consolidation. The strain dependency of the 
elastic shear modulus is related to the non-linear behavior of the shear modulus, which is a 
function of the viscoplastic shear strain and the variation in mean effective stress. In order to 
predict the behavior of sensitive soft clay more accurately, it is necessary to take into account the 
strain dependency of the shear modulus in addition to the structural degradation parameters. The 
predicted results presented a good agreement with the corresponding experimental values. This 
agreement emphasizes the capability of the elasto-viscoplastic model to reproduce the behavior 
of sensitive soft clay. 
The influence of the aspects of destructuration was then evaluated in a two-dimensional 
boundary value problem. The consolidation analysis of an embankment construction on a soft 
clay foundation was conducted by the finite element method through three cases. The results 
clarified the effects of these considerations of which large strain and consequent deformations 
developed due to the structural degradation during consolidation. Moreover, the secondary 
generation of pore pressure was observed after the completion of the construction in the narrow 
zone close to the embankment. Considering the strain dependency of the shear modulus, 
however, larger strain and larger displacements developed not only during the consolidation, but 
also during the construction of the embankment. 
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Appendix: Finite element formulation 
Equilibrium Equation 
Terzaghi’s effective stress is adopted for the two-phase soil medium as 
            ij ij w ijT T U δ′= +                                                          (A1) 
where ijT  is the Cauchy stress tensor, ijT ′  is the effective Cauchy stress tensor, wU  is the pore 
water pressure, and ijδ  is Kronecker’s delta.  
Taking the time derivative of Equation (A1) yields  
ij ij w ijT T U δ′= +& & &                                                             (A2) 
For the finite element method, we used a rate type of equilibrium equation for the updated 
Lagrangian formulation. Assuming fully saturated conditions, the weak form of the equilibrium 
equation for the entire fluid-solid mixture in domain V  can be expressed as 
,
ˆ 0ji j i
V
S v dVδ =∫ &                                                         (A3) 
in which ˆijS&  is the total nominal stress rate tensor with respect to the current configuration and 
ivδ  is the virtual velocity vector component. 
The relationship between the nominal stress rate tensor and the Cauchy stress rate tensor is given 
by 
ˆ
ij ij pp ij iq jqS T L T T L= + −& &                                                      (A4) 
ˆ
ij ij pp ij iq jqS T L T T L′ ′ ′ ′= + −& &                                                    (A5) 
where ˆijS′&  is the effective nominal stress rate tensor and ijL  is the velocity gradient tensor. 
Combining Equations (A1) to (A5), the total nominal stress rate tensor can be related to the 
effective nominal stress rate tensor as 
 
ˆ ˆ
ij ij w ij ijS S U Bδ′= + +& & &                                                       (A6) 
ij kk w ij w ik jkB L U U Lδ δ= −                                                      (A7) 
Using Green’s theorem and Gauss’s divergence theorem, Equation (A3) can be written as 
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ˆ ˆ( ) 0ji i ji ij j
V
S nv d S L dVδ δ
Γ
Γ − =∫ ∫& &                                               (A8) 
where Γ denotes a boundary surface of the closed domain, V , and n  is the unit normal vector to 
boundary surface Γ . Incorporating Equation (A6) into Equation (A8) leads to 
 
ˆ ˆ(  )ij w ij ijj ij ij ji i
V V V
i jS L dV U L dV B L dV S v dnδ δ δ δ δ
Γ
′ + + = Γ∫ ∫ ∫ ∫& &&                            (A9) 
Using the Cauchy stress theorem, Equation (A9) is obtained as follows: 
  
ˆ
ij ij w kk ij ij ti i
V V V
S L dV U D dV B L dV S v dδ δ δ δ
Γ
′ + + = Γ∫ ∫ ∫ ∫& &                              (A10) 
where ijD  is the stretching tensor defined by ( )12ij ij jiD L L= + and ˆtiS  is the nominal traction 
vector given by ˆti ji jS S n= & . 
Substituting Equation (A5) into Equation (A10) results in 
 
ij ij ij ij kk ij ij w kk ij ij ti i
V V V V V
T D dV A L dV L T L dV U D dV B L dV S v dδ δ δ δ δ δ
Γ
′ ′+ + + + = Γ∫ ∫ ∫ ∫ ∫ ∫& &     (A11) 
in which 
   ij jk ikA T L′= − &                                                             (A12) 
The objective Jaumann rate of Cauchy stress tensor iˆjT ′ is defined by means of Cauchy stress 
rate tensor ijT ′&  and spin tensor ijW  as 
  iˆj ij ik kj ik kjT T W T T W′ ′ ′ ′= − +&                                                    (A13) 
The constitutive equation is described using the Jaumann rate of Cauchy stress tensor iˆjT ′  
and stretching tensor ijD  as 
  
ˆ ( )e vpij ijkl kl klT C D D′ = −                                                      (A14) 
where eijklC  is the elastic tangential stiffness matrix and 
vp
ijD  is the viscoplastic stretching tensor, 





ij ij ijD D D= +                                                           (A15) 









D S κ δ′= + ′+
&&                                              (A16) 
 in which ijS&  is the deviatoric stress tensor rate ( ij ij m ijS T T δ′ ′−= & && ). Viscoplastic stretching tensor 
vp
ijD  is given by 





∂= Φ ′∂                                                     (A17) 
where are Macaulay’s brackets; ( ) ( )y yf fΦ = Φ , if 0yf >  and ( ) 0yfΦ = , if 0yf ≤ . 
 
 
The tangent modulus method (Peirce, Shih and Needleman 1984) is implemented here to 
determine the viscoplastic stretching tensor. Hence, Equation (A14) can be rewritten in matrix 
form as 
  { } [ ]{ } { }Tˆ C D Q′ = −                                                      (A18) 
where [ ]C  is the tangential stiffness matrix and { }Q  is the relaxation stress vector.  
The substitution of Equation (A13) into Equation (A18) gives 
 
   { } [ ]{ } { } { }T C D Q W′ ′= − +&                                               (A19) 
in which { }W ′  is the vector defined as { } { }W WT TW′ = − . 
For the discretization of the weak form of the equilibrium equation, we adopt FEM with an 
isoperimetric element. The velocity and the pore water pressure are approximated as  
  { } [ ]{ }*v N v=                                                            (A20) 
  { } [ ]{ }*w h wU N U=                                                         (A21) 
 
where [ ]N  and [ ]hN  are the shape functions of the eight-node quadrilateral element for the 




Combining Equation (A11) and Equation (A19) and using the FEM approximations, the 
final weak form of the equilibrium equation becomes 
 
 [ ]{ } [ ] { } [ ] { } [ ]{ } [ ]{ } { }* * * *T T L v w
V V
K v B Q dV B W dV K v K U F− + + + =∫ ∫ & &          (A22) 
where  
[ ] [ ] [ ][ ]T
V
K B C B dV= ∫                                                   (A23) 
[ ] [ ] [ ][ ] [ ] [ ][ ] [ ] { }{ }T T T TL M s M M M M v
V V V
K B D B dV B U B dV B T B dV′= + +∫ ∫ ∫        (A24) 
[ ] { }{ }Tv v h
V
K B N dV= ∫                                                    (A25) 
{ } [ ] { }T tF N S d
Γ
= Γ∫&                                                     (A26) 
Using Euler’s scheme, the nodal velocity vector and pore water pressure can be obtained as 
{ } { }** uv t
∆= ∆                                                              (A27) 
{ } { } { }* ** w wt t tw U UU t+∆
−= ∆
&                                                      (A28) 
where { }*u∆  is the vector of the incremental nodal displacement. Incorporating Equations (A27) 
and (A28), Equation (A22) becomes 
   
[ ] [ ] { } [ ]{ } { } [ ]{ } { } { }* * * * wL v w v wt t t t tK K u K U t F K U t F t F+∆ +∆⎡ ⎤+ ∆ + = ∆ + + ∆ − ∆⎣ ⎦ & & &          (A29) 
where 
             { } [ ] { }* T
V
F B Q dV= ∫&                                                 (A30) 
             { } [ ] { }Tw
V
F B W dV′= ∫&                                                (A31) 
Continuity Equation 
Assuming the incompressibility of the soil particles and the pore water, the continuity equation is 
obtained from the mass conservation equation of the soil-water mixture as 
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             , 0w ii ii
w
k U Dγ + =                                                         (A32) 
where k  is the coefficient of permeability, iiD  is the stretching tensor, and wγ  is the density of 
the pore water. 
The weak form of the continuity equation is given by 
, , 0w ii ii w ii ii
w wV V V
k kU D WdV U WdV D WdVγ γ
⎛ ⎞+ = + =⎜ ⎟⎝ ⎠∫ ∫ ∫                               (A33) 
in which W is a Galerkin weighted function for the continuity equation as { }hW N= . Proceeding 
with the similar procedure as described for the equilibrium equation, Equation (A33) becomes 
 , , , 0w i i i w i ii
w w V V
k kWU n d W U dV WD dVγ γΓ
Γ − + =∫ ∫ ∫                                   (A34) 
in which n  is the unit normal vector to boundary surface Γ . 
Using FEM approximations for the pore water pressure, as described by Equation (A21), the 
discrete form of the continuity equation is given by 
 [ ] { } [ ] [ ]( ){ }* * 0Tv h w t tK u t K V U +∆∆ − ∆ + =                                    (A35) 
where  
 [ ] { }{ }T Tv h v
V
K N B dV= ∫                                                   (A36) 
 [ ] [ ] [ ]Th h h
w V
kK B B dVγ= ∫                                                  (A37) 
{ } { }{ } [ ]Th h
w
kV N n B dγ Γ
= − Γ∫                                                (A38) 
 
Discrete Equation 
Combining the equilibrium equation and the continuity equation, the final system of equations 
for the FEM analysis, based on the finite deformation theory, can be obtained as 
 
[ ] [ ] [ ]
[ ] [ ] [ ]( )
{ }
{ }




t tL v v w t
T
v h w t t
uK K K t F K U
K t K V U
+∆
+∆
⎧ ⎫∆⎡ ⎤+ ⎧ ⎫∆ +⎪ ⎪ ⎪ ⎪=⎢ ⎥ ⎨ ⎬ ⎨ ⎬−∆ +⎢ ⎥ ⎪ ⎪⎪ ⎪ ⎩ ⎭⎣ ⎦ ⎩ ⎭
&




 { } { } { } { }*t wF F F F= + −& & & &                                                   (A40) 
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Table 1. Material parameters of soft clay layer Ac2. 
 Ac2-U Ac2-M Ac2-L
Depth (m) 11.0 - 15.0 15.0 - 19.0 19.0 - 23.0





Initial void ratio e0 1.25 1.65 1.42
Poisson’s ratio υ 0.3 0.3 0.3
Initial elastic shear modulus (1) G0 (kPa) 3759 3927 5993
Compression index λ 0.341 0.593 0.652
Swelling index κ 0.019 0.027 0.014
Stress ratio at failure M*mc 1.24 1.18 1.12
Viscoplastic parameter m’ 24.68 28.2 21.15
Viscoplastic parameter C1 (1/s) 3.83×10-11 1.85×10-11 8.99×10-11
Viscoplastic parameter C2 (1/s) 3.83×10-11 1.85×10-11 8.99×10-11
Structural parameter ' '/maf main σ σ= 0.83 0.67 0.60
Structural parameter β 5 10  15





Table 2. Strain-dependent parameter and modified values for the structural parameter. 
  Ac2-U Ac2-M Ac2-L 





Strain-dependent parameter α 20 10 10 





Table 3. Specifications for each case in the 2D numerical analysis. 




Case 1 (No structural degradation:  β=0, α=0 ) × × 
Case 2 (Structural degradation:  β=10, α=0) 9  × 
Case 3 (Structural degradation + Strain dependency of G:  β=15, α=10) 9  9  





Table 4. Material parameters for the embankment and the ground layers. 
Parameters k (m/s) 
γt 
(kN/m3) e0 G0 
(kPa)
OCR λ κ M*mc m’ C1,C2 (1/s) n β α 
Embankment 1.00×10-5 19.8 0.8 4300          
Ground (Ac2-M) 3.85×10-10 16.0 1.65 3930 1.10 0.593 0.027 1.18 28.2 1.85×10-11 0.67 10,15(1) 0,10
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Figure 2. Soil profile in Torishima, Osaka. 
35 
 





















 Exp. σ'3=100 kPa
 Exp. σ'3=200 kPa
 Exp. σ'3=400 kPa
 Simulated results
Axial strain, ε11 (%)










 Exp. σ'3=100 kPa
 Exp. σ'3=200 kPa













Axial strain, ε11 (%)










 Exp. σ'3=100 kPa
 Exp. σ'3=200 kPa













Axial strain, ε11 (%)










 Exp. σ'3=100 kPa
 Exp. σ'3=200 kPa













Axial strain, ε11 (%)










 Exp. σ'3=100 kPa
 Exp. σ'3=200 kPa













Axial strain, ε11 (%)










 Exp. σ'3=100 kPa
 Exp. σ'3=200 kPa













Axial strain, ε11 (%)
 















 Exp. σ'3=100 kPa
 Exp. σ'3=200 kPa













Mean effective stress, σ'm (kPa)
M=1.43
Tw 2‐2‐2;  0.005%/min










 Exp. σ'3=100 kPa
 Exp. σ'3=200 kPa













Mean effective stress, σ'm (kPa)
M=1.43
Tw 2‐2‐1;  0.05%/min










 Exp. σ'3=100 kPa
 Exp. σ'3=200 kPa













Mean effective stress, σ'm (kPa)
M=1.52
Tw 2‐1‐2;  0.05%/min










 Exp. σ'3=100 kPa
 Exp. σ'3=200 kPa













Mean effective stress, σ'm (kPa)
M=1.52
Tw 2‐1‐2b;  0.005%/min










 Exp. σ'3=100 kPa
 Exp. σ'3=200 kPa













Mean effective stress, σ'm (kPa)
M=1.36
Tw 2‐3‐2;  0.005%/min










 Exp. σ'3=100 kPa
 Exp. σ'3=200 kPa

















Figure 4. Stress paths during triaxial tests and simulated results considering only the structural 
degradation, '( )m failureM q σ= . 
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Figure 5. Stress-strain relations during triaxial tests and simulated results considering the structural 
degradation and strain-dependent shear modulus. 
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Figure 6. Stress paths during triaxial tests and simulated results considering the structural degradation 
and strain-dependent shear modulus,
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Figure 13. Deformed meshes after 1000 days of consolidation for the different cases: (a) Case 1, (b) Case 









Figure 14. Viscoplastic shear strain contours for Case 1 on various days: (a) 10 days, (b) 20 days, (c) 30 















Figure 15. Viscoplastic shear strain contours for Case 2 on various days: (a) 10 days, (b) 20 days, (c) 30 















Figure 16. Viscoplastic shear strain contours for Case 3 on various days: (a) 10 days, (b) 20 days, (c) 30 


















Figure 17. Excess pore water pressure contours for Case 1 on various days: (a) 10 days, (b) 20 days, (c) 











Figure 18. Excess pore water pressure contours for Case 3 on various days: (a) 10 days, (b) 20 days, (c) 
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Figure 19. Excess pore water pressure versus time for the different cases. 
